This paper describes a series of six full-scale laboratory tests conducted on coldformed steel portal frame buildings in order to investigate the effects of joint flexibility and stressed skin diaphragm action. The frames used for the laboratory tests were of 6m span, 3 m height, 10 o pitch and the frame spacing was 3 m.
Introduction

1.
Portal frame buildings composed entirely of cold-formed steel (see Fig.1 ), with spans of up to 20 m, frame spacings up to 4m and subject to relatively light loading, can be a viable alternative to conventional hot-rolled steel frames [1] [2] [3] [4] [5] [6] . Uses of cold-formed steel portal frames include light industrial, sports and agricultural buildings. In such lightweight steel portal frames, channel-sections are used for the column and rafter members, and top-hat sections may be used for the purlins and side rails (see Fig.2 ). Top-hat sections are considered to be more efficient than zed-purlins for cold-formed steel portal frames where the frame spacings (or purlin spans) are in the range of 3 -4.5 m, compared with 6 m for conventional hot-rolled steel frames. They are also much stiffer than zedpurlins in terms of transferring shear load to the roofing (see Fig.2 ) [7] .
Principally under horizontal load, the roof sheeting is known to act as a shear diaphragm (see Fig.3 ) [8] and by this means, loads are transferred to the end gables that should be designed to resist these forces. This stiffening effect, referred to as stressed skin or diaphragm action [9] [10] [11] [12] [13] [14] , explains why a clad frame behaves differently from a bare frame. Design recommendations on stressed skin action were first published by ECCS TC17 [15] and further extended by Davies and Bryan [11] . Other contributors were: Bates et al. [16] , Bryan and Moshin [17] , Strnad and Pirner [18] , Davies et al. [12] , Heldt and Mahendran [19] and Mahendran and Moor [20] . It should be noted that this research focused on hot-rolled steel portal frames in which the haunched eaves and apex joints can be classified as rigid.
In practice, however, the effects of stressed skin action are often ignored by designers of hot-rolled steel portal frames. However, cold-formed steel portal frames have more flexible joints [21] and also use relatively stiffer top-hat purlins, which means that not including the effects of stressed skin action could lead to roof failure at serviceability loads (see Fig.4 ) [22] . This could lead to excessive tearing of the fixings and water leakage into the building [13] .
3D structural analysis is now a standard tool for designing complex structures as it gives a more accurate representation of the structural behaviour. However, portal frame buildings are still predominantly modelled as 2D bare frames [23] . An exception is where seismic actions have to be considered , which has been highlighted in research on seismic design of cold-formed steel frames [24] [25] [26] [27] [28] .
Furthermore, for cold-formed steel portal frames, steel designers often refer to guidance for equivalent hot-rolled steel frames [29] in terms of deflection limits of bare frames, but these are discretionary. As a result, designers sometimes relax these deflection limits to achieve a more economical design under the assumption that the roof panel will reduce the deflections, possibly by as much as 50%. However, the effect of relaxing deflection limits can lead to lighter and more flexible internal frames based on 2D design. This results in an underestimation of the forces in roofing and hence can lead to an under-design of the gable end-frames. Fig.4b shows the consequences of diaphragm action loads on the gable rafter. This is even more important when the joint rotation adds to frame flexibility. Joint rotation in cold-formed steel portal frames is associated with the bearing of the mechanical fasteners (generally bolts) acting in shear on relatively thin steel plates. Designers in the UK often use design guides [30] in which the moment resistance of connections between cold-formed sections is assumed to be governed by bearing resistance of fasteners. The rotational stiffness of a joint and slip due to tolerances in bolt hole is often neglected in the analysis [31] . Investigated joints are therefore similar to what can be found in the practice and the tests using these connections take account of initial slip in the bolts.
Experimental investigation on portal frames using back-to-back lipped channel sections and bolted joints had been already published [28] but was focused on developing full-strength connections of much greater rotational stiffness than those reported in this paper. The behaviour of a bare frame was investigated in the seismic design context and stressed skin action was not included in this study [28] . The study highlighted importance of component testing in establishing accurate strength and stiffness characteristic of joints which must be included in an analysis model.
In this paper, the results of six full-scale tests on cold-formed steel portal frames are presented. Details of the eaves and apex joints considered in this paper are shown in Fig.5 ; such joints are typical of those used for cold-formed steel portal frames in practice.
As can be seen, the joints are formed using brackets that are bolted between the webs and outer flanges of the cold-formed steel channel-sections. Two different bolt-group sizes are considered for the joints, with each bolt-group size (and therefore bracket size) having a different rotational stiffness. Firstly, tests on frames without roof sheeting are described.
Vertical loading was applied in two tests, and horizontal loading was applied in four tests.
Secondly, for horizontal loading only, the frame tests were carried out with and without roof sheeting to determine the effect of stressed skin action. The component tests are described separately for both the roof panel and the beam-to-column connections.
Finally, 3D non-linear frame analysis models are presented, which show that the frame behaviour can be predicted accurately if the experimentally determined joint strength and stiffness are used, as well as the stiffness of the roof sheeting. Using these models, the design of cold-formed steel portal frame buildings of 6m span, height to eaves of 3 m and frame spacing of 3 m are considered in which the design variables are the stiffness of the internal frames and the length of the building. The simplified 2D design assumption, of the load on the end gable being half that of an internal frame is shown to be incorrect. It is demonstrated in Fig.20 that if horizontal deflection limits [29] are ignored, such assumption will under-predict the loads acting on end gables by as much as factor of seven. It is concluded that the horizontal loading acting on 1.7 bays should be used as the minimum to design the end gables. This is a factor of 3.4 higher than the simplified assumption that the load on the end gable is half that of an internal frame (see Fig.20c ). It is estimated that for building of 12m length, 2D design (see Fig.18 ) requires 981kg of steel which is 42% more than a portal frame building with joint type B (see Fig.9b ). The 'true' loads acting on clad buildings are a function of a length as well as span of the structure and are not accounted for in 2D design. Therefore, 3D
analysis is recommended for the design of cold-formed steel portal frames with flexible joints.
Experimental investigation 2.
Details of frames 2.1. Table 1 summarises the six portal frame tests conducted, which are defined as Frames 1 -6. The frames used in all buildings have a span of 6 m, height of 3 m, and pitch of 10˚ and the column bases are pinned. The results of the clad frame tests are intended to represent the behaviour of building of 9 m overall length, having two braced gable frames and internal frames, with a frame spacing of 3 m. Load cells located in the gable braces allowed the load distribution between frames to be determined. Fig.6 shows the nominal dimensions of the channel-sections used for the frames in all six tests. In the internal frames, the channel-sections are placed back-to-back and in the gable frames (including the gable posts) single channel-sections are used. Fig.6b shows the nominal dimensions of the single skin profile used for the roof sheeting. The roof profile has a depth of 30 mm and a nominal thickness of 0.7 mm. Fig.6c shows the nominal dimensions of the top-hat purlins whose thickness is 1.0 mm.
Details of the test general arrangement are shown in Fig.7 and the test setup is shown in Fig.8 . Owing to symmetry and also due to laboratory space limitations, only one gable frame and one internal frame were used for each clad frame test.
Frames 1 to 3 used a bolt-group arrangement of 160 mm x 80 mm for the eaves and apex joints, which are referred to as Joint A. Fig.9a shows details of Joint A and the size of the brackets suit this bolt-group size. Fully threaded M16 bolts were used in 18 mm diameter bolt-holes. Similarly, the joints in Frames 4 to 6 used a bolt-group size of 280 mm x 80 mm (see Fig.9b ). The eaves and apex joints of these buildings are referred to as Joint B.
In Fig.7 , the out-of-plane restraints to the gable frame were provided through a set of ties. Load was applied only to the internal frame. The reaction force in each tie was measured by load cells. Linear displacement transducers were used at positions around the frame. Table 2 shows the measured stiffness of the out-of-plane restraints.
For each frame with Joints A and B, one test was conducted with vertical loading and two tests with horizontal loading. For vertical loaded frames, all tests were conducted without roof sheeting, as the effect of stressed skin action for this shallow roof slope can be expected to be negligible. For the case of horizontal loading, one test was conducted with sheeting and one without sheeting.
It should be noted that for the tests conducted without sheeting, no load was transferred to the gable frames from the internal frames to which the load was applied.
The results of the tests on the internal frame can therefore be assumed to be identical to a bare frame test. In all tests, lateral restraints were provided at the supports, at the load points and at midspan. As for the frame test, fully threaded M16 bolts were used in 18 mm diameter boltholes.
Joint component tests
For each test, a coupon was cut from a flat portion of a flange of each cold-rolled channel section. The coupons of members failing first were subject to tensile tests. The mechanical properties of steel are presented in Table 3 and a typical stress-strain curve is shown in Fig.11 .
Tests on Joint A were conducted in both the upwards and downwards direction. As the results for loading in both directions were shown to be similar for Joints A, only a single test in the downwards direction was conducted for Joint B. Fig.12 show the variation of moment with rotation of the point coinciding with centre of rotation for Joints A and B. The same characteristic was also calculated using joint rotational stiffness predicted by Zadanfarrokh and Bryan (1992) [21] (see Fig.12 ). Table 5 summarises the experimental stiffness (S j,ini,exp ), failure load (F T ) and moment capacity (M T ) determined in each test. Fig.13 shows the general arrangement of the laboratory test used to determine the shear strength and stiffness of the roof panels. The test procedure was carried out in accordance with BS 5950-9 [9] . The panel was subjected to three initial loading and unloading cycles before being loaded to failure. The details of an experimental study are presented in Wrzesien et al. 2009 [7] .
Roof panel tests
Self-drilling self-tapping screws of 5.5 mm diameter with washers and seals were used for fixing the sheeting to the purlins. Self-drilling self-tapping screws of 6.3 mm diameter, both with and without washers, were used to fix the seams and also to fix the purlin to the rafters. The shear strength and slip of sheet-to-purlin fasteners, seam fasteners and the design resistance and flexibility of the purlin-to-rafter connection were established experimentally as data for some of them were not covered by existing design recommendations [9, 32] . The characteristic values based on five repeated tests are given in Table 4 . The mechanical properties of steel are presented in Table 3 and typical stressstrain curves are shown in Fig.11 . The prediction of a shear stiffness and resistance using design methods [9, 32] is also shown in Fig.14 . The geometry of the panel and the fixing arrangement is presented in Fig.13 . The experimental shear resistance was approximately three times greater than the calculated design value and the shear stiffness of a panel was approximately one and half times greater than calculated values using the design method [9, 32] .
Full-scale frame test results
2.2.
Load cycles to eliminate the initial bolt slip from the frame were not conducted, as any bolt-hole elongation would not be recoverable and it was considered that the first load cycle is representative of real portal frame structures. All bolts were lightly tightened with a spanner to minimise the effects of friction.
The initial slope of the roof and verticality of the columns were measured using a digital inclinometer and the deflection was set to zero at this position. The values of initial sag of the rafter as well as horizontal displacement of the top of the column under self-weight were calculated based on the difference in angle between perfect and measured geometry.
The same load was applied to each jack until the failure of the structure occurred.
The load was applied in steps of approximately 0.5 kN and readings were recorded at the end of each load step. Fig.15 shows the variation of load against apex deflection for the case of vertical loading. As can be seen, the failure load is almost independent of the bolt-group size, as the frame with Joint B failed at a total load of only 4% greater than frame with Joint A.
However, in terms of stiffness, the frame with Joint B was approximately 60% stiffer that the frame with Joint A. At the failure load, the eaves joint failed on the column side (see Joint B failed at 58.8 kN. However, the failure load had increased by almost a factor of three compared with the failure load of the frame with no roof sheeting. Furthermore, the stiffness of the frame increased by almost a factor of ten relative to the bare frame. In both tests, failure of the roof panels occurred together with severe deformations of the purlins (as shown in Fig.4 ).
Frame analysis 3.
The non-linear elastic frame analysis program Robot Structural Analysis Professional 2010 [33] was used for the numerical studies. In general, cold-formed steel frames are not suitable for plastic design as they are made using Class 4 sections that are susceptible to local and distortional buckling. Fig.17 shows details of the beam idealization of the full-scale laboratory test that was used in the model. The beam element used had six degrees of freedom per node. Fifteen elements were used for the columns and thirty for the rafters.
In the beam idealization, the rotational stiffness of joints was modelled using the experimentally determined moment-rotation curve of the joints (see Fig.12 ). This was idealised as a bi-linear rotational spring which was placed at the centre of gravity of the bolt-group following an elastic design method. The Instantaneous Centre of Rotations of eccentrically loaded bolt-groups [34] were ignored as they could not be included in the beam idealisation. Stressed skin action was modelled using tension-only bracing members using the experimentally determined load-deflection curve of the roof panel (see Fig.14) . As can be seen in Fig.17 , the purlins and side rails were not modelled. The edge beams connecting the gable frame to the internal frames were idealised as having no bending stiffness and so only carry axial load. As the effect of the axial stiffness of the top-hat edge purlin on roof panel shear stiffness was already included in the test data, a high axial stiffness was used to represent the purlins in the beam idealisation, so this effect was not considered twice. The beam idealisation of the roof panel was calibrated against the results of the roof panel tests in shear.
The frame analysis results for the case of the vertical loading are shown in Fig.15 .
Good agreement against the test results was obtained for the buildings with both joint type A and B. As may be expected, the frame analysis slightly over-predicted the failure load as the effect of axial forces was not considered. The experimentally determined bending resistances of the joints and continuous members were used as limiting factors in the frame analysis. Although the effect of axial load is not significant for the given geometry and lateral restraint conditions, the effect should be considered in a frame design using cold-formed steel members [28] . Fig.16a and b also show the experimental and frame analysis results for the case of the horizontal loading with no roof sheeting, and in this case, the frame analysis results under-predicted both the stiffness and strength of the frames. However, for an internal frame in a clad building with roof sheeting, the agreement in terms of deflections under horizontal load was good (see Fig.16 ). Good agreement was also observed between forces measured during experiments and those predicted by frame analysis.
Frame design
4.
Investigation of building geometry
Using the beam idealization described in Section 3, six buildings having 3 to 8 bays were analysed for both ultimate and serviceability limit state design in accordance with Eurocode 1 loading. The span, height to eaves, roof pitch and frame spacing were the same and only the length of the building was increased. The building length is expressed as length-to-span ratio ranging from 1.5 (i.e. 3x3 m bay) to 4 (i.e. 8x3 m bay).
The size of the sheeting panel was therefore kept similar to the component test so accurate experimental strength and stiffness characteristic can be used.
The design process was repeated for each of joint types A, B and C, in which a new Joint C was designed to satisfy horizontal deflection requirement in bare frame analysis [29] , and is shown in Fig.18 . Back-to-back channel sections of 300 mm depth and 2.5 mm thickness were used for columns and rafters of the internal frames. The gable frames were the same as those in buildings with Joint B. A bolt-group size of 620 mm x 208 mm was used, comprising five bolts in two rows (see Fig.18 ). The rotational stiffness of such joint was calculated to be 7358 kNm/rad [21, 31] . The joint bending resistances were calculated as 71.4 kNm [22, 31, 35] . A 2D bare frame analysis of the internal and gable frames was also conducted for comparison with the clad frames. Fig.19 shows the unfactored actions applied to the frame [29] . The permanent 
Load cases and load combinations
The internal frame and cladding are also checked at the serviceability limit state.
For an internal frame, the serviceability deflection limits recommended by the Steel Construction Institute (SCI) [29] are: It is assumed that the cladding fails the serviceability limit state when the shear force applied to it exceeds 60% of its shear resistance. This assumption is based on experimental investigations of the cladding panels and prevents permanent deformation of the roof panel at serviceability loads. [7] . The following serviceability load cases (SLCs) are selected as they are considered under vertical and horizontal loads [42, 43] : Fig.20 and Fig.21 summarise the unity factors at the ultimate limit state (ULS) for the internal frame, gable frame and sheeting panel. These are defined as the ratio of the applied load to the resistance for the critical mode of failure as follows: 
Unity factors based on the designs
where:
M j,Ed,3D, M j,Ed,2D -bending moments acting on the bolt-group centre of rotation based on 3D and 2D frame analysis M T -connection moment resistance obtained in component test (see Table   5 ) The unity factors were calculated based on 3D analysis (UF 3D ) and the results for different length-to-span ratios of the building are marked by the solid lines on the plots. Hence in a 2D analysis, the gable frame should be designed to resist wind load resulting from 1.7 times that acting on a single bay between frames).
An analogous approach was used in (5f) where:
δ a,3D, δ a,2D -apex vertical deflection under the imposed load based on 3D
and 2D frame analysis δ a,SCI, δ e,SCI -apex and eaves deflection limits [29] δ e,3D, δ e,2D -eaves horizontal deflection under the wind load based on 3D
and 2D frame analysis
As can be seen, there is little difference between the ULS unity factors for the portal frames with Joint A and B. For the internal frame, the design of the bare frame is shown to be controlled by a combination of wind and snow load (ULC3), but the 3D model shows, that dependent on building length, the load combinations ULC1 and ULC2
are actually critical for frames with Joint A and B. As expected, when stressed skin effects are taken into account, the frame design is controlled by the shear resistance of the roof panel next to the gable (see Fig.21 ). The critical load combination for shear forces acting on the roof cladding changes from a combination with leading action of snow (ULC2) to a combination with leading action of wind (ULC3) when the length-to-span ratio reaches three. As expected, the longer the building, the higher the shear forces in the roof panels. The shear force in the roof panel is reduced by between 12% and 5% when Joint B rather than Joint A is used. In order to meet the SCI deflection limits, the horizontal stiffness of the portal frame must be increased by approximately a factor of ten. By doing so, the shear force in the roof panel is reduced significantly (see Fig.21 ).
For the gable frame, it can be seen from Fig.20 that the design of the frame is controlled by the resistance of the gable bracing irrespective of the joint stiffness in the frames. In all cases, a 2D analysis under-estimates the forces in the gable frame by a factor of three for a three bay building and a factor of seven for an eight bay building (see Fig.20a and b) . If the stiffness of the internal frames is increased to satisfy the SCI serviceability requirements, the shear forces transferred to gables through the roof panels are reduced by approximately 70%. In 3D analysis, the gable frame loading is still over three times higher than in a 2D analysis (see Fig.20c ), so if diaphragm action is ignored, the stiffness of the internal frames should be increased further to reduce the forces transferred to the gable frames. Alternatively the gable frame should be designed conservatively for horizontal load resulting from the wind loading on an estimated 1.7
bays regardless of length-to-span ratio. This also means that the in-plane bracing and the foundations to the bracing have to be designed for these higher loads. From Fig.21 , it can be concluded that the permanent deformation of the roof cladding does not occur under the working load for buildings with an overall length-to-span ratio less than 2.0 and 2.5
for Joint A and Joint B respectively. Fig.22 shows the unity factors at the serviceability limit state. As can be seen from Fig.22a and b, diaphragm action reduces the vertical deflection of a three bay building by 36% compared to that of a bare frame. For horizontal deflections, diaphragm action reduces deflections of a bare frame with Joint C by 73% (see Fig.22c ). In the case of an eight bay building with the flexible joints (such as Joint A), the horizontal deflection is only 10% (see Fig.22a ) of that calculated for a bare frame due the dominant effect of stressed skin action.
Implication for design
The end gable frames are often designed as braced frames as better economy can be obtained by not using frames with moment-resisting joints. It was shown that in such design cases, the bare gable frame will experience much higher forces due to the effects of diaphragm action and forces acting on it will be under-estimated even if SCI deflection limits are adopted. The additional load due diaphragm action may lead to tearing of the roof sheeting or failure of purlin-to-rafter connections at the gable frame and potentially to failure of the end gable itself (see Fig.4b ). From Fig.20c , it can be concluded that for buildings of 6 m span and height to the eves of 3 m it is appropriate to design end gable frames for wind loading resulting from one to two bays depending on the building length.
It was also shown that the horizontal deflection limits in bare frame design must be satisfied as relaxing these limits will lead to even further under-estimation of loads in gable end frames.
In comparison, for hot-rolled portal frames with rigid joints, stressed skin action is less important than in more flexible cold-formed frames and can be conservatively ignored when 2D frame analysis can be used. If the design of portal frames is generally governed by horizontal deflections (e.g. for the design case with Joint C), then it is shown that stressed skin analysis must be carried out.
As the roof construction is constantly evolving, it is also shown that existing design methods need be updated for modern roof systems, such as those with top-hat purlins and composite panels, so that relative flexibility ratio of the frame to the roof system can be accurately assessed (see Fig.14) .
Although the design methods [9, 44] were developed in the past, these were reexamined in this paper in the context of cold-formed steel frames with flexible joints and it is recommended that 3D non-linear analysis model (FEA) is used for cold-formed steel portal frames for the following reasons:
 Fig.15 and Fig.16 show that the sway and spread flexibilities of bare frames are non-linear relationships due to slip.
 The reduction factors on sway forces (see Table 16 of [9] ) are only suitable on the assumption that the gable frames are rigid both in and out-of-plane. The flexibility of a gable frame was measured in the tests in this paper (see Table   2 ) and should not be ignored.
 The assumption in the design methods that wind forces act as point loads at the eaves level, is a simplification, as when the wind load is modelled as a distributed load (see Fig.19c ), the maximum bending moment may occur at mid-column height rather than eaves.
A 3D analysis allows the designer to follow 'true' load paths and produce a design which is often more economical. In such designs, however roof sheeting may become a key structural component responsible for the building's stability and so it follows that the stability of the structure can be compromised if the roof sheeting is removed or the stiffness of the roof panel is changed (e.g. by adding openings or replacing sheeting profiles).
Conclusions
5.
This paper describes a series of six full-scale laboratory tests conducted on coldformed steel portal frames in order to investigate the effects of joint flexibility and stressed skin diaphragm action. The buildings tested were of 6m span, 3m height, 10 o pitch and 3 m frame spacing. Two different joints were considered: joint types A and B, and the stiffness of Joint B was approximately twice that of Joint A.
From the full-scale tests on the bare frames, it was observed that the failure load of buildings with Joints A and B failed at approximately the same load. In terms of stiffness, the bare frame with Joint B was approximately 60% and 30% stiffer that the same case with Joint A under vertical load and horizontal load, respectively. However, for the frame with roof cladding, the horizontal stiffness of the building increased by approximately a factor of ten.
When the experimentally derived data was used to design the building in accordance with the relevant Eurocodes, it was shown that the cladding stiffness cannot be ignored in practice as the loading attracted to the gables may be under-estimated by as much as factor of seven (see Fig.20 ). This has an important effect on the gable frames which are usually designed for a wind load acting on half a bay according to bare frame model. In order for 2D design to be used safely, horizontal deflection limits more stringent than those recommended by SCI should be adopted or alternatively, the forces acting on the gables should be increased (see Fig.20c ).
It is shown that a lighter internal frame can be designed by including diaphragm action in the 3D analysis. For a typical building of 6m span and 12m length consisting of three internal frames and two end gables, 2D design requires 981kg of steel in the framework and when stressed skin action is considered, the overall weight of the steel framework can be reduced by 42%. In such designs, the roof cladding becomes an important structural component in providing lateral stability.
The following general conclusions can be drawn:
 The bare frame model identifies a wind load combination as being critical; including diaphragm action shows that the critical load combination depends on the length-to-span ratio of the building (see Fig.20)  The bare frame design model may not be safe for designing clad structures as it ignores the additional force in the edge purlins, end cladding and gables (see Fig.20)  It is proposed that to avoid failure of the end gables, they are designed to resist wind forces equivalent to 1.7 times that acting on a single bay between frames.
 The effect of the stiffness of the joints on the horizontal deflection of the system when sheeting action is taken into account is less than with a bare frame model that predicts the joint stiffness to be a dominant factor in lateral stiffness. Increasing the rotational stiffness of the joints has a larger effect on vertical deflections e.g. increasing their stiffness by the factor of two (Joints A to B) resulted in an approximately 40% reduction in apex deflections (see Fig. 22 ). Typical cold-formed steel portal framing system 
